
1 INTRODUCTION 

 

The case of earthquake forces on structures is a 
rather characteristic case where an action can be ex-
ceptional. It is admitted that there exists a high prob-
ability that the value of the seismic forces will at 
some time exceed the value prescribed in the design. 
This fact is related to the inherent uncertainty nature 
of the seismic action but also to incomplete or in-
adequate knowledge of the structural behavior at the 
time of the design of the structures.  

From the viewpoint of the seismology, it is well 
known that it is difficult to obtain exact values for 
the seismic actions. For example, during the past 20 
years, a significant number of recorded strong mo-
tion data has indicated that the characteristics of the 
ground motion vary significantly between recording 
stations. This phenomenon is magnified for stations 
located near the epicenter. As a result, two main re-
gions with different types of ground motions can be 
considered, the near-source region (i.e. the region 
within few kilometers of either the surface rupture or 
the projection on the ground surface of the fault rup-
ture zone) and the far-source region situated at some 
hundred kilometers from the source. 

Unfortunately, the characteristics of the design 
spectra and the design methods adopted by the ma-
jority of the seismic codes have been based on 
records obtained by far-source fields and, therefore, 

they are incapable to describe the seismic intensity 
in the near-source region. Moreover, the vertical 
component of the seismic action in near-source field 
could be greater than the horizontal ones. Also, in 
near-source areas, due to the very short periods of 
the ground motion and the pulse characteristics of 
the loads, the significance of higher vibration modes 
increases. Due to the pulse characteristics of the ac-
tions, developed with great velocity and especially 
due to the lack of restoring forces, the ductility de-
mands could be very high.  

Another aspect of the seismic design whose signi-
ficance has been recognized only during the last 
decades is connected to the ground conditions. It is 
now well known that the properties of the site soils 
affect the intensity of shaking that can be expected 
at the building site. Various parameters such as the 
thickness of the soft and stiff soil layers, the shear 
wave velocities of the rock and soil layers, the 
soil/rock impedance ratio, the layering properties of 
the soil layers etc. influence the amplification or at-
tenuation of the seismic action on the structures.  
Another reason leading to exceptional accelerations 
on structures (i.e. accelerations greater than the de-
sign ones) is connected with magnification that 
sometimes occurs in the short period range.  
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The present paper, in it’s first part (sections 2-5) 
contributes mainly in the above mentioned topics. In 
Section 2, the emphasis is given to seismic motions 
with specific characteristics that lead to exceptional 
actions on structures. Near-fault ground motions and 
the local site parameters are examined and the latest 
developments in the field are presented. Section 3 
deals with the modeling of the ground motion spe-
cifically for the needs of the seismic analysis of 
structures. Section 4 studies the behaviour of struc-
tures in the short period range and the corresponding 
magnification of the seismic action that has been ob-
served. Section 5 presents in a mathematically ab-
stract way the procedure that can be applied in order 
to handle uncertainty in structural analysis. Both the 
cases of uncertainty in the seismic motion parame-
ters and uncertainty in the model parameters are 
covered.  

Except of the cases identified earlier, there are al-
so reasons more closely connected to the structural 
system, for which a structure might be submitted to 
an exceptional earthquake action. For example the 
behaviour of the connections in steel structures has 
been identified as crucial for the structural response 
after the Kobe and Northridge earthquakes. Similar-
ly, concrete structures suffer from micro-cracks in-
duced by relatively moderate earthquakes that influ-
ence the structural response under design-level 
earthquakes. Also the case of rather old existing 
structures has to be identified as one where the 
seismic events may be exceptional due to the fact 
that a lot of changes have been introduced during the 
last years concerning the design seismic forces on 
structures. The second part of the paper (Section 6) 
deals with some of the above problems using the 
performance based design framework as a tool for 
the analysis of the structural behaviour under ex-
treme (in the previouse sense) seismic events. Sec-
tion 6.2 deals with the influence of connection beha-
viour on the seismic response of structures. Section 
6.3 presents a capacity design methodology for the 
design and evaluation of the seismic resistance of 
reinforced concrete structures. Finally, Section 6.4 
presents a direct displacement-based design ap-
proach for the design of reinforced concrete struc-
tures. 

2 SEISMIC MOTION LEADING TO 
EXCEPTIONAL ACTIONS ON STRUCTURES 

2.1 Near-fault ground motions 
Characteristics of ground motions recorded in the 

vicinity of the seismic source can be very different 
from those recorded away from it.  

In the case of near-field ground motions, with the 
distance to the fault up to 20-60 km, the azimuth of 

the site with respect to the hypocenter may affect 
considerably the characteristics of the seismic mo-
tion. The effect of forward directivity is produced 
when the rupture propagates towards a site and the 
slip takes place also towards the site (Stewart et al., 
2001). Due to the fact that velocity of fault rupture is 
close to the shear wave velocity, an accumulation of 
energy is observed at the rupture front. Ground mo-
tion in a site affected by forward directivity has the 
form of a long duration pulse. This effect is charac-
teristic of the fault-normal component of the ground 
motion. When the rupture propagates away from the 
site, seismic waves arrive distributed in time. This 
effect is called backward directivity and is characte-
rised by longer duration and lower amplitudes of the 
seismic motion. The effect of forward and backward 
directivity is exemplified for the case of a strike-slip 
fault in Figure 2.1 (Landers 1992 earthquake).  

 
Figure 2.1. Effect of directivity on ground velocity time histo-
ry, Somerville et al., 1997, in Whittaker, n.d. 

 
Directivity effects can be present both in the case 

of strike-slip and dip-slip faults (Stewart et al., 
2001). In the latter case, forward-directivity effects 
are observed near the up-dip projection of the fault 
plane, where characteristic pulse forms in the fault-
normal direction. 

Despite the fact that ground motion recordings as 
old as 1950's provided evidence of severe pulse-type 
characteristics of near-fault ground motions, only 
recently the importance of near-fault ground motions 
has been recognized (Sasani and Bertero, 2000). 
Earthquakes of Northridge (USA, 1994), Kobe (Ja-
pan, 1995) and Chi-Chi (Taiwan, 1999) could have 



contributed to this by provided a wealth of near-fault 
strong-motion recordings. 
 

Near-fault effects are still scarcely represented in 
design codes. Uniform Building Code (1997) pro-
vides a near-fault amplification factors to be applied 
to the design spectrum. However, it does not change 
the frequency content of the design seismic action. 
Other seismic design codes, like Eurocode 8 (prEN 
1998, 2003) ignore completely near-fault effects. 
  

Vertical component of the ground motion is gen-
erally smaller than the horizontal ones, and its ef-
fects on structural response is generally ignored. 
However, in the near-fault regions, vertical compo-
nent of the ground motion may be important (Gion-
cu and Mazzolani, 2002) and its influence on seis-
mic performance of structures deserves attention. 
Vertical component is believed to have contributed 
to some brittle failure modes in steel structures dur-
ing the Northridge (1994) and Kobe (1995) earth-
quakes (Gioncu and Mazzolani, 2002). 
 

2.2 Local site conditions 
Local site conditions have been recognized for a 
long time as important parameters affecting ground 
motion characteristics. Recordings of strong-motion 
vary significantly with respect to (Stewart et al., 
2001): 
− local geotechnical conditions,  
− possible basin effects, and  
− surface topography. 

From the above factors, local geotechnical condi-
tions were studied in most detail. Studies performed 
by Idriss et al. (in NEHRP 2000) show a dependence 
of the amplification of peak ground acceleration 
(PGA) by the soil layers on the intensity of the 
ground motion. Amplification is maximum (between 
1.5 and 4.0) for small values of PGA at the base rock 
(0.05 - 1.0 g), and tends to decrease for ground mo-
tions of larger intensities (factors close to 1.0 for 
values PGA at the base rock about 0.4 g). Reduced 
amplification of at large intensities is attributed to 
nonlinear soil response.  

Influence of soil types on frequency content of 
the ground motion is presented in Figure 2.2, ac-
cording to a statistical study by Seed et al., 1976 (in 
NEHRP 2000), based on a set of 104 accelerograms 
recorded in USA, Japan, and Turkey. The effect of 
soft soil conditions is a significant amplification of 
spectral accelerations in the medium and long period 
range (periods larger than 1 second).  

 

 
Figure 2.2. Normalised acceleration response spectra for dif-
ferent soil types Seed et al., 1976, in NEHRP 2000. 

 
An example of the effect of soft soil response on 

the characteristics of the seismic motion is presented 
in Figure 2.3, for the Vrancea earthquake of 
04.03.1977. Horizontal spectral acceleration is great-
ly amplified in the 1.0-1.5 sec period range, espe-
cially for the NS component. The shear wave veloci-
ty in the upper 30 m for this site is VS,30=130 m/s 
(Ambraseys et al., n.d.), while the average shear 
wave velocity to the bedrock at 128 de m depth is 
346.1 m/s (Lungu et al., 1998). The predominant pe-
riod of vibration of the soil layers inferred from the 
latter value is Tp=1.48 sec, close to the range of 
maximum spectral value. Amplification of the 
ground motion by the soil layers is demonstrated by 
the high ratio of horizontal to vertical components of 
response spectra for periods around 1.5 seconds. The 
ratio of horizontal and vertical spectral ordinates 
form the basis of the Nakamura method to detect 
nonlinear soil response (Lacave-Lachet et al., 1998), 
and is based on the observation that vertical compo-
nent of the ground motion is affected in a lesser ex-
tent by soil characteristics than the horizontal com-
ponents. 
 

A great deal of site effects may be explained by 
the dynamic response of the soil layers, assuming 
horizontal layers and a 1-D wave propagation mod-
el. However, there are cases when this assumptions 
are no longer valid, such as in the case of basins 
(Graves, 1993, in Stewart et al., 2001). If the seismic 
wave enters the basin through its edge, it may be 
"trapped" inside the basin. The effects of multiple 
reflections are the amplification and increase of du-
ration of the seismic motions. Modelling of these 
phenomena requires 2-D or 3-D analysis. 
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Figure 2.3. Normalised acceleration response spectra for dif-
ferent soil types Seed et al., 1976, in NEHRP 2000. 

 
Amplification of seismic motion may be observed 

as well for irregular topographies, such as crest, 
canyon, and slope. A description of a typical topo-
graphic amplification was described by Castellani et 
al. 1982 (in Athanasopoulos et al., 1998). 

2.3 Influence of frequency content of ground motion 
on inelastic structural response 

Most structures are designed to earthquake forces 
significantly smaller than the ones corresponding to 
an elastic response. This procedure relies on the ob-
servation that structures designed for a fraction of 
the force corresponding to elastic response are able 
to survive a major earthquake without collapse (but 
with important structural damage), due to capacity 
of the structure to deform in the inelastic range. 
Earthquake force reduction factors (behaviour factor 
q in Eurocode 8, 2003 and R factor in UBC, 1997) 
are used in seismic design codes in order to reduce 
elastic seismic demands to design ones. Code reduc-
tion factors are mostly empirical, and are based on 
observations of past performance of different struc-
tural systems (Fischinger and Fajfar, 1994).  

Available ductility μ of the structural system has 
a major contribution to the force reduction factor. 
However, code-specified reduction factors are not 
based on ductility alone, but also on overstrength. 
Therefore, code-specified reduction factors can be 
expressed as: 

SR R Rμ= ⋅  (2.1) 

where Rμ is the ductility-related force reduction fac-
tor and RS is system overstrength.  

Considerable attention was paid in the past on 
understanding the relationship between the ductility-
related force reduction factor Rμ and ductility μ, 
based on dynamic analysis of single degree of free-
dom systems. One of the well known studies is that 

of Newmark and Hall (1982), who established that 
R=1 for very short period systems ("equal force 
rule"), 2 1R μ= −  for short-period structures 
("equal energy rule"), and R=μ for medium-and 
long-period systems ("equal displacement rule").  

Later studies recognized the strong dependence of 
ductility-related force reduction factors on soil type, 
and, more generally, on the frequency content of the 
ground motion (Cuesta et al., 2003). Most often, for 
the scope of deriving relationships between the duc-
tility and ductility-related force reduction factor, 
frequency content of the ground motion is quantified 
by the control period TC, representing the boundary 
between constant acceleration and constant velocity 
regions of response spectra. One of the simple rela-
tionships, developed by Vidic et al., 1994 and later 
modified by Cuesta et al., 2003 was adopted in FE-
MA 356 and Eurocode 8, in the context of displace-
ment-based analysis procedures: 
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This relationship is represented schematically in 
Figure 2.5, and shows that the ductility related force 
reduction factor (Rμ) decreases for systems with pe-
riod of vibration lower than the control period TC. 
This is equivalent to saying that ground motions 
with control period TC larger than period of vibration 
of the system impose very larger ductility demands 
on this system.  

Influence of the ratio between period of vibration 
of the system and the control period TC of the 
ground motion on the Rμ-μ relationship is exempli-
fied in Figure 2.4 for the NS component of the IN-
CERC Bucharest record of the 4/03/1977 earth-
quake. In this figure Rμ-μ relationship is shown for 
several elastic-perfectly plastic (EPP) systems with 
different periods of vibration. The Rμ-μ relationship 
from Figure 2.4 is a normalized representation of an 
incremental dynamic analysis (relationship between 
a measure of ground motion intensity and displace-
ment demand). It can be observed that for systems 
with the initial period less than TC=1.42 sec (T=0.2, 
0.5 and 1.0 sec), even a small reduction of yield 
force (Rμ >1) leads to a rapid increase of ductility μ. 
For SDOF periods larger than TC (T=1.5 and 2.0 
sec), ductility demand in the EPP system increases 
at a lower rate, displacements being even lower than 
in the elastic system. 
 

Though control period TC is a rather simple 
measure of the ground motion characteristics, it is an 
important parameter that reflects high ductility de-
mands that can be imposed on structures with fun-
damental period of vibration lower that ground mo-
tion control period TC. Ground motions with high 
frequency content at relatively long periods (TC>1 



sec) may be generated by (1) very soft soils and (2) 
forward directivity effect in the case of near-field 
ground earthquakes. 
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Figure 2.4. Incremental dynamic analysis for EPP systems with 
period of vibration between 0.2 and 2.0 sec, VR77-INC-NS 
record. 

 
To check these affirmations, a number of 496 

components of earthquakes of magnitude between 
6.5 and 7.8 from the European strong-motion data-
base (Ambraseys, n.d.) were analysed (Stratan, 
2003). Only the records having effective peak 
ground accelerations larger than 0.9 m/s2 were re-
tained. The obtained ground motions were further 
grouped in two sets, function of their control period 
TC: group 1, with 0.3≤TC ≤0.4 s, and group 2, with 
1.1≤TC ≤1.7 s. Group 1 consisted in 11 records, all 
motions being recorded on firm soil sites. Ground 
motions from the second group (10 records) were ei-
ther recorded on soft sites or were located close to 
the fault (distance to fault less than 35 km).  

In spite of the strong relationship between the 
value of ductility related force reduction factor and 
frequency content of the ground motion (quantified 
by the control period TC), code specified force re-
duction factors R are independent of period of vibra-
tion of the system and ground motion characteristics. 
This simplification is justified by the fact that over-
strength of low-period structures is generally larger 
than the one of medium- and long-period structures 
(Fischinger and Fajfar, 1994), so that the total force 
reduction factor R can be considered approximately 
constant over the period range of most structural 
systems (see Figure 2.5). 
 

However, this conclusion may not be adequate 
for ground motions characterized by very large val-
ues of control period TC. The largest value of control 
period TC currently codified in Eurocode 8 (prEN 
1998, 2003) is TC=0.8 seconds (for type 1 response 
spectrum, ground type D), which is well below the 
values of TC that can be generated in case of near-

fault motions or very soft soil conditions. Therefore, 
it may be appropriate to use smaller force reduction 
factors for design of structures with fundamental pe-
riod of vibration smaller than the control period TC 
of the design earthquake.  
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Figure 2.5. Typical qualitative relationship between force re-
duction factors Rμ and RS, and period T (Fischinger and Fajfar, 
1994). 

A limited study on the performance of moment 
resisting, eccentrically braced and dual frames de-
signed to Eurocode 8 under ground motions with 
different frequency content has been performed 
(Stratan, 2003). Two sets of recorded and semi-
artificial accelerograms (seven records in each set) 
were used, with control periods of TC=0.5 and 
TC=1.4 seconds. Fundamental period of vibration of 
analysed structures ranged between 0.58 and 0.98 
seconds. Significantly larger deformation demands 
were recorded in the case of TC=1.4 group of accele-
rograms, though performance was adequate in most 
cases. However, other studies (Dubina and Dinu, 
2007) indicated that performance of dual concentri-
cally braced frames designed to Eurocode 8 and sub-
jected to the NS component of the INCERC Buchar-
est record of the 4/03/1977 earthquake was 
inadequate at the ultimate limit state. A complete 
study on structures of different system and height is 
necessary in order to assess if code reduction factors 
are appropriate for ground motions with large values 
of control period TC.  

2.4 Remarks 
Directivity effects in near-fault regions and soft soil 
conditions are two aspects that can generate ground 
motions with long period pulse-type form. The acce-
leration response spectrum of this type of motions is 
characterized by a large value of the control period 
TC (limiting value between the constant acceleration 
and constant velocity region of the spectrum). While 
modern design codes generally recognize this effect 
in the case of soft soil conditions, it is not consi-
dered in the case of near-fault ground motions. 
Structures with fundamental period of vibration 



smaller than the TC control period of the seismic mo-
tion are subjected to increased   

A further issue that requires attention and further 
research is influence of near-fault and soft-soil 
ground motions on seismic performance of struc-
tures with fundamental period of vibration lower 
than the TC control period of the ground motion. 
Earthquake force reduction factors valid for standard 
ground motions may be inappropriate in this cases.  

3 MODELING OF GROUND-MOTION AND 
SEISMIC ANALYSIS OF STRUCTURES 

 
Traditionally seismic design of structures is based 
on an elastic structural analysis under reduced seis-
mic forces, accounting for the capacity of the struc-
ture to respond in the inelastic range. However, non-
linear analysis methods (time-history and pushover 
analysis) are increasingly considered in design and 
especially in research in order to estimate seismic 
performance of structures.  

3.1 Time history representation of ground motion 
An important problem when performing a nonlinear 
time-history analysis is selection of acceleration 
time histories. Design codes provide a limited 
amount of guidance on this subject.  

Several alternatives can be used when selecting 
acceleration time histories. Usually the preferred one 
is to use recorded accelerograms. Design codes re-
quire that these records are "adequately qualified 
with regard to the seismogenetic features of the 
sources and to the soil conditions appropriate to the 
site" (prEN 1998, 2003). The straightforward solu-
tion is to use recordings at the site of interest ob-
tained in past earthquakes. It is often difficult to find 
enough strong-motion records in available databases 
that would match design needs.  

Closely related to recorded accelerograms are si-
mulated accelerograms, generated through physical 
simulation of seismic source, travel path, and local 
site conditions. Specialized knowledge is required 
for generating simulated accelerograms. 

A further possibility is to use artificial accelero-
grams, generated so as to match the code elastic 
spectrum. Eurocode 8 provides a few requirements 
with respect to the duration of the generated time 
history and the compatibility between the response 
spectrum of the generated accelerogram and the tar-
get code spectrum. Generally, artificial accelero-
grams are generated using an inverse Fourier trans-
form o amplitude and phase Fourier spectra. 

Figure 3.1 shows an ensemble of five artificial 
accelerograms generated for different site-source 
distances, from near field (W1) to far field (W5), 
Chang and Kawakami, 2006. The same Fourier am-

plitude spectrum, but different phase spectra were 
used. 

 
Figure 3.1. Artificial accelerograms, generated for different 
site-source distances, from near field (W1) to far field (W5), 
Chang and Kawakami, 2006. 
 

 
    (a) 

 
     (b) 

Figure 3.2. Pulse types used to represent fault-normal compo-
nents of near-fault ground motion by Sasani and Bertero, 2000 
(a) and Alavi and Krawinkler (b). 

 
Finally, simple pulses can be used in order to 

model the ground motion. A review of existing re-
search in this field is available in Gioncu and Maz-
zolani (2002). Synthetic pulses were used often in 
studies concerning seismic response of structures 
under near-fault ground motions. Two types of 



pulses used to represent fault-normal components of 
near-fault ground motions are shown in Figure 3.2. 

3.2 Pushover analysis 
Pushover is a nonlinear static analysis under con-
stant gravity and monotonically increasing horizon-
tal loading. It is described in several design codes 
and guidelines (prEN1998, 2003; FEMA 356, 2000) 
and provides an insight into the nonlinear structural 
response under seismic conditions. Several methods 
exist that estimate the target displacement corres-
ponding to a given intensity of the seismic action. 
One of them is the N2 method (Fajfar, 2000) that is 
implemented in Eurocode 8 (prEN1998, 2003). 

Pushover analysis is subjected to several limita-
tions, due to the fact that it relies on the assumption 
that structural response is governed by the funda-
mental mode shape, and that this shape does not 
change when the structure yields under increasing 
lateral loading. Pushover analysis is mainly applica-
ble to estimating seismic demands on low-rise and 
medium rise structures in which inelastic demands 
are uniformly distributed along the height of the 
structure (Chopra, 2004).  

In order to compensate for limitations of the sin-
gle and invariant lateral load distribution, seismic 
demands can be obtained on the envelope of de-
mands obtained under several lateral force distribu-
tions. For example, Eurocode 8 (prEN 1998, 2003) 
requires at least two lateral force distributions 
("modal" and uniform). 

Several improved procedures based on pushover 
analysis were proposed by different researchers, in 
order to account for influence of higher modes of vi-
bration and change in distribution of lateral forces as 
a result of change in dynamic properties of the struc-
ture as a result of yielding. A review of different en-
hanced pushover procedures developed recently are 
available in Chopra (2004), and Kalkan and Kunnath 
(2006).  

One group of procedures is based on adaptive 
load patterns, which change at each step of pushover 
analysis in order to reflect changing in dynamic 
properties of the structure as a result of yielding. A 
second group of enhanced procedures is based on 
modal combination of several pushover analyses 
with invariant lateral force distributions. While these 
enhanced procedures eliminate drawbacks of stan-
dard pushover procedure, and represent significant 
advancements of the pushover analysis, their com-
plexity makes it difficult to be implemented in prac-
tice.  

3.3 Conceptual design associated with seismic 
motion typology 

One of the crucial decisions influencing the building 
structure to withstand earthquakes is the basic plane 

shape and configuration. In some extent seismic de-
sign codes contain provisions related to building re-
gularity, both in plane and in elevation, and configu-
ration principles related to structural typologies. 
However, there are two general requests which must 
be achieved in order to resist severe earthquakes 
(Bertero, 1997): 
− Building structure should be provided with ba-

lanced stiffness and strength between its mem-
bers, connections and supports; 

− Overall conception and detailing should provide 
the structure with balanced overstrength and duc-
tility of its members and connections in order to 
possess an enhanced redundancy characterized by 
the largest number of defense lines  against seis-
mic action. 
Different structures may respond differently to 

different type of ground motion. Some structural ty-
pologies are more sensitive to particular type of mo-
tion (pulse, repeated pulses, long duration). In the 
light of the two previous basic principles, and in or-
der to optimize structural response, the conceptual 
design of a given structure must always take into ac-
count for the specific feature of the possible ground 
motion. 

 

4 MAGNIFICATION OF SEISMIC ACTION ON 
SHORT PERIOD STRUCTURES 

This objective of this section is to study the seismic 
behaviour of structures in the short period range. 
The study is performed using a nonlinear SDOF 
oscilator  subjected to various ground motions 
recorded in Greece. In order to cover various 
structural typologies, different force-displacement 
models are used. The study compares the results of 
the various nonlinear analyses  performed with the 
formulas given in FEMA356 for the estimation of 
the target displacement using the Displacement 
Coefficient Method (DCM).  

4.1 Strong motion data 

For the purposes of this study various strong motion 
data recorded at Greek sites were used. The records 
used here were selected from a database of about 
220 earthquakes recorded in Greece in the period 
between 1980 and 1999 having a magnitude 

> 4.4LM  in the Richter scale and a > 0.1PGA g .  
 The records are summarized in Table 4.1.  
 
The characteristic period gT  of each ground motion 
was estimated according to engineering judgment to 
correspond approximately to the period at which the 



transition occurs between the constant acceleration 
and the constant velocity spectrum and at the same 
time as the lowest period at which the equal-
displacement rule holds. 
 

 
Nu 

 
Code 

 
Station 

 
ML 

PGA 
 (g) 

Tg 
(sec) 

1 ARGO183-1 Argostoli 6.5 0.171 0.35 

2 ATHENS-2 Chanandri 5.9 0.159 0.33 

3 ΑΤΗΕΝS-3 KEDE 5.9 0.302 0.5 

4 ATHENS-4 GYS 5.9 0.121 0.45 

5 ARGO183-7 Argostoli 5.7 0.192 0.55 

6 ΖΑΚ188-4 Zante 5.5 0.170 0.375 

7 ΚΑL186-1 Kalamata 5.5 0.273 0.3 

8 EDE190-1 Edessa 5.4 0.101 0.4 

9 ΑRGO183-8 Argostoli 5.1 0.305 0.4 

10 PAT393-2 Patras 5.1 0.401 0.35 

11 LEF194-1 Lefkas 5.1 0.136 0.4 

12 KYP187-1 Kyparissia 5.0 0.127 0.25 

13 ΑRGO192-1 Argostolo 5.0 0.204 0.35 

14 PYR193-8 Pyrgos 5.0 0.165 0.5 

15 ΚΑL286-2 Kalamata 4.8 0.263 0.5 

16 LEF188-2 Lefkas 4.5 0.245 0.3 

17 ΙΕR183-3 Ierissos 4.4 0.178 0.5 
Table 4.1 Summary of the motion used in the analysis 
 

4.2 Force-displacement models 

The choice of a force-displacement model influences 
the response time-history and the associated peak 
response quantities. In order to cover a range of 
typical structures the following three models were 
selected, which correspond to different structural 
characteristics (see Fig. 4.1):   
 Type A: an elastoplastic model having a positive 

post-yield to elastic stiffness ratio of 5%. This 
type of behaviour is an ideal one and is studied 
here for reference reasons.  

 Type B: a stiffness degrading model with 
positive post-yield stiffness. This type of 
behaviour represents wall systems dominated by 
flexural response, something typical for rather 
new buildings in Greek territory, dimensioned 
according to the capacity design principles. The 
post-yield stiffness was selected to be 5% of the 
elastic stiffness.  

 Type C: a stiffness degrading model with 
negative post-yield stiffness. This behaviour is a 
mode typical in wall systems that exhibit some 
degradation in response with increasing 
displacement. Degradation may be due to 
relatively brittle response modes. This is a 
behaviour typical for rather old buildings in the 
Greek territory made of masonry, where the 
strength is reduced for increasing displacements. 

The negative post-yield stiffness was selected to 
be 10% of the elastic stiffness.  

 
F

∆
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∆

F

a)

b)

c)  
Figure 4.1. The considered force-displacement models  
 
 

4.3 Dynamic analyses 

In the sequel, a time history dynamic analysis was 
performed on the oscillators corresponding to the 
models presented earlier. The oscillators were 
subjected to the 17 ground motions presented in 
Table 4.1. Two types of analyses were performed.   
A. Constant ductility analyses, where the 
displacement ductility μ  of the structure was 
considered as constant and the response of the 
structure was obtained in terms of different strength 
reduction factors R . Five different constant ductility 
levels were considered corresponding to values of 
μ  equal to 1,2,4,6 and 8. For this reason, oscillators 
were established such as to achieve 20 initial periods 
of vibration from =T 0.1 to =T 2.0 sec. At these 
periods the necessary strength yF  to obtain design 
displacement ductilities of 1,2,4,6 and 8 were 
obtained for each force-displacement model and for 
each of the ground motions. 



Constant strength reduction factor analyses, where 
the strength reduction factor of the elastoplastic 
structure was considered as constant and the 
response of the oscillator was obtained in terms of 
different levels of the ratio between the peak 
displacement response of the nonlinear oscillator to 
the respective one for the linear oscillator. Four 
different constant strength reduction levels were 
considered with values of R  equal to 2,3,4 and 5. 
For this reason, oscillators were established such as 
to achieve 40 initial frequencies of vibration from 
ν =0.01 to ν =10. At these frequencies the necessary 
displacement ductility μ  to obtain strength 
reduction factors of 1,2,3,4 and 5 were obtained for 
each force-displacement model and for each of the 
ground motions.  
It must be pointed out that the actual value of the 
peak displacement response does not affect directly 
the results of this study because the oscillator 
strengths are determined relative to the peak ground 
acceleration in order to obtain specified 
displacement ductility demands. 

4.4 Results of the dynamic analyses 

In the evaluation procedure the attention is given in 
the estimation of the peak displacement response. It 
is expected that an acceptable procedure would 
estimate the peak displacement response of a 
nonlinear system within acceptable limits of 
accuracy. For this reason in the figures presented in 
the following, the ratio /n ed d  (referred also in the 
following as the displacement aplification factor) is 
studied where:   
 nd  is the peak displacement response of the 

nonlinear oscillator and  
 ed  is the peak displacement response of an 

elastic oscillator having stiffness equal to the 
initial stiffness of the nonlinear oscillator.  

The parameters presented in the figures are:   
 The displacement ductility μ   
 The strength reduction factor R  which is 

defined as the ratio of the elastic strength F  to 
inelastic strength yF .  

 
Figures 4.2 to 4.5 correspond to the first group of 
conducted analyses, where the displacement 
ductility was considered as constant. Fig.4.2 depicts 
the ratio between the peak displacement response of 
the nonlinear Model-A to the peak displacement 
response of an elastic oscillator having the same 
initial period, for 4μ = . The solid line represents 
the mean values obtained by the 17 ground motions. 

Despite the wide scattering, the mean values seam to 
follow some rules, i.e. after a characteristic period of 
about 0.4-0.6 sec, the mean values are close to 1. 
The divergence from this value increases as the 
period decreases. Also, the increase of the 
displacement ductility leads to significant larger 
mean values in this period range. 
Similar are the results for Models B and C but for 
the sake of brevity are not presented here. 
 

Model A - Displacement ductility μ=4
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Figure 4.2 Displacement amplification ratio with respect to the 
period for Model-A ( 4μ = ). 
 

 
The analysis results are summarized in the diagrams 
of Figures 4.3 to 4.5 that depict the mean values and 
the standard deviation of the results for the three 
models and for various displacement ductility levels. 
Notice that although the mean values are close to 1 
after a period of 0.4-0.6 sec, the values of the 
standard deviation differ very much, depending on 
the displacement ductility level. For μ =2 the 
standard deviation takes a rather constant value of 
0.2 for all the models considered in this analysis. 
But, as the displacement ductility increases the 
values of the standard deviation increase, especially 
in the short periods range. Also, the standard 
deviation values seem to be larger in the case of 
Model-C. Notice also that the mean values for large 
period systems tend to be somewhat smaller than 1 
for Models A and B. That means that the peak 
displacement response of the nonlinear systems is 
smaller than the one of the respective linear systems, 
or equivalently, the response of the linear systems 
overestimate the response of the nonlinear ones. On 
the contrary, especially for larger values of the 
displacement ductility, the results tend to be bigger 
than 1 for Model-C. 
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Figure 4.3 Mean values and standard deviation of the dis-
placement amplification factor with respect to the period T for 
various displacement ductility levels for Model-A. 
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Standard deviation, Model B
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Figure 4.4 Mean values and standard deviation of the dis-
placement amplification factor with respect to the period T for 
various displacement ductility levels for Model-B. 
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Standard deviation, Model C
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Figure 4.5 Mean values and standard deviation of the dis-
placement amplification factor with respect to the period T for 
various displacement ductility levels for Model-C. 

 
Figures 4.6 to 4.9 correspond to the second group of 
conducted analyses, where the strength reduction 
factor was considered as constant. Fig. 4.6 depicts 
the ratio between the peak displacement response of 
the nonlinear Model-A to the peak displacement 
response of an elastic oscillator having the same 
initial period, for increasing frequency values, for 

4R = . The obtained values are close to 1 until a 
characteristic frequency of about 2.5. After this 
frequency value, the results vary and a great 
scattering appears. The solid line represents again 
the mean values of the obtained results. The mean 
values after the characteristic frequency increase for 
larger values of R .  

Model A - Strength reduction factor R=4
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Figure 4.6 Displacement amplification ratio with respect to the 
frequency for Model-A ( 4)R =  



 
Similar are the results for Model-B, while complete-
ly different are the results obtained for Model-C. 
This model exhibits a negative post-yield stiffness. 
These models are sensitive to collapse, where col-
lapse is defined as the point at which displacement is 
large enough that the force resisted by the oscillator 
tends to zero. Totally, from the 1700 oscillators con-
sidered (17 ground motions x 20 frequency values x 
5 R -levels) a number of 692 collapsed.  
 
The analysis results are summarized in the diagrams 
of Figures 4.7 to 4.9 that depict the mean values and 
the standard deviations of the results for the three 
models and for various levels of the strength 
reduction factor. The mean values are close to 1 
until a frequency of about 2.5 for all levels of R . 
After this frequency, the mean values increase, 
depending mainly on R . The values of the standard 
deviation increase analogously, indicating the great 
scattering in the ranges of large frequencies. It is 
again pointed out that the results for Model-C are 
not representative and are presented only for the 
sake of completeness. 
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Figure 4.7 Mean values and standard deviation of the dis-
placement amplification factor with respect to the frequency ν, 
for various values of the strength reduction factor (Model-A) 
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Figure 4.8 Mean values and standard deviation of the dis-
placement amplification factor with respect to the frequency ν, 
for various values of the strength reduction factor (Model-B) 
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Figure 4.9 Mean values and standard deviation of the dis-
placement amplification factor with respect to the frequency ν, 
for various values of the strength reduction factor (Model-C) 
 
 



In Fig. 4.10 the displacement amplification factor is 
depicted for increasing frequency. Each diagram 
corresponds to different level of the strength 
reduction factor and contains the mean values 
obtained for the three models and also the plot of the 
results obtained by applying the formulas of the 
Displacement Coefficient Method (DCM) as 
presented in FEMA356 for 2 =T 0.4.  
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Figure 4.10 Comparison of the results for models A and B with 
those of DCM 
These diagrams actually depict the ability of the 
coefficient 1C  of DCM to describe the “mean” 
behaviour of inelastic systems. For low frequencies 
( <ν 2.5) it seems that the value of 1C  is reliable. 
This remarks is also confirmed by the rather low 
values of standard deviation obtained in this 
frequency range. For larger frequency values, there 
is a strong dependence of the response of the 
nonlinear systems on the strength reduction factor 

R . Although the values of 1C  increase with R , it 
seems that the mean values inrease with a larger rate 
with R . Therefore, it seems that 1C  cannot capture 
the inelastic response of systems with large R  
values.  
 
For this reason, a new formula is proposed for the 
determination of 1C  

1

( 1)( / 1)
= 1

2
gR T T

C
− −

+  for 0.1 gT T< <  (4.1) 

For 2R =  the above formula gives the same results 
as the one used for the calculation of coefficient 1C  
in FEMA356. However, for 2R > the proposed for-
mula approximates in a better way the results ob-
tained by various analyzed oscillators. It must be no-
ticed however, that the above study focuses only on 
a small part of the problem because all the seismic 
records have a characteristic period of 0.3 - 0.55 sec. 
That means, that from the above study, no conclu-
sions can be drawn for the behaviour of systems ex-
ited by ground motions on soft soils. 
 
5 UNCERTAINTY IN EARTHQUAKE 

ASSESSMENT AND SIMULATION 
 
 

5.1 Conceptual treatment of uncertainty in seismic 
analysis – introduction of the notion of fuzzy 
quantities and fuzzy analysis 

5.1.1 Classification of uncertainty  
Numerical simulations of structures under earth-

quake loads demand reliable input data as well as 
analysis models close to reality. In general data and 
models are uncertain which has a significant influ-
ence for the results of the analysis. Therefore the un-
certainty has to be described with suitable models 
and considered within the analysis. 

Several kinds of uncertainty are distinguishable 
depending on the reason of origin. If a random result 
of an experiment under identical boundary condi-
tions may be observed almost indefinitely, the un-
certainty can be considered as stochastic. This sto-
chastic uncertainty is described with methods of 
probability theory. In contrast to this a deficit of in-
formation results if the boundary conditions are sub-
jected to (apparently) arbitrary fluctuations, if a sys-
tem overview is incomplete or if only a small 
number of observations are available. This uncer-
tainty is referred to as informal uncertainty. If the 
uncertainty is quantified by linguistic variables, 
transformed onto a numerical scale, lexical uncer-
tainty is present.  

The reason of uncertainty assigns their characte-



ristic. Stochastic uncertainty is associated with the 
uncertainty characteristic randomness quantified 
mathematically with the aid of random variables. In-
formal and lexical uncertainty is described with the 
uncertainty characteristic fuzziness dealt on the basis 
of fuzzy set theory. The uncertainty characteristic 
fuzzy randomness occurs in the case of informally or 
lexically uncertain statistic inference. The uncertain-
ty is then described mathematically on the basis of 
the theory of fuzzy random variables (Möller & Beer 
2004). Randomness, fuzziness and fuzzy random-
ness may occur as both data uncertainty and model 
uncertainty. In the case that an uncertain variable 
depends on time and spatial coordinates random 
functions, fuzzy functions and fuzzy random func-
tions are introduced. 

 For conventional investigations of the loading 
case earthquake only sparsely information about the 
earthquake loads exists. Specifying the measure in-
tensity as an interval a classification of seismic 
zones is available. Each zone is characterized by a 
dedicated effective acceleration. The spectrum form 
is independent of intensity.  

Additional information can be obtained under 
consideration of all phases of the earthquake 
process, from the origin and propagation until the 
transmission from underground to the structure. The 
regional specific (zones) and the endangering specif-
ic, reflecting the frequency response and the ampli-
tude behavior for endangering levels, can be mathe-
matically quantified with fuzzy quantities. Relevant 
seismic centers in the environment and the distance 
dependent decrement of the spectral amplitude are 
uncertain. Geological conditions, (e.g., stratigraphic 
sequence, intensification and damping effects) and 
the registration of cyclic characters (e.g., strong 
earthquake duration) contain further uncertainty. 
Precisely because these information about the va-
riables summarized above are not available in a suf-
ficient extent, the formulation of fuzzy quantities is 
reasonable. The consideration of uncertainty in 
structural analysis improves the results. A gradual 
evaluation becomes possible. 

In the following informal and lexical uncertainty 
with the uncertainty characteristic fuzziness is con-
sidered. The uncertainty is described and quantified 
on the basis of fuzzy set theory with the aid of as-
sessed intervals. Utilized the latter for seismic struc-
tural analysis deficits of information describing in-
put variables as well as human mistakes and 
mistakes in fabrication, utilization and maintenance 
of structures may be considered. Subjective effects 
and assessments of structural parameters described 
in an applicable mathematical manner influence the 
results of structural analysis.  

The procedures to consider fuzziness in structural 
analysis are subdivided into fuzzification, fuzzy 
structural analysis and evaluation of fuzzy results. 
Fuzzification is the quantification of informal and 

lexical uncertainty by means of fuzzy quantities. 
Thereby the fuzziness of the uncertain physical 
structural parameters is described mathematical.   

5.1.2 Fuzzy quantities 
Fuzzy quantities x%  represent the results of fuzzifica-
tion on the basis of the fuzzy set theory. Thereby the 
classical set theory which provides binary assess-
ment to crisp conditions is extended to permit gra-
dual assessment of the membership of elements in 
relation to a set. This is described with the aid of a 
membership function.  

The membership function μ(x) is denoted as stan-
dardized, if the maximum functional value is equal 
to one. If μ(x) monotonically decreases on each side 
of the maximum value the fuzzy quantity x%  is re-
ferred to as convex (Figure 5.1). 

 
Figure 5.1 Fuzzy quantity x% , convex and not convex  
 
A fuzzy number is a convex, standardized fuzzy 
quantity whose membership function is at least seg-
mentally continuous and has the functional value 
μ(x) = 1 at precisely one of the x values. In exten-
sion to this, a fuzzy interval has an interval [x1, x2] 
whereby all elements of [x1, x2] possess the mem-
bership μ(x) = 1.  

From the fuzzy quantity crisp sets {x |
k

Aα = ∈ X  
( ) k}μ ≥ αx  may be extracted for real numbers αk ∈  

(0, 1]. These crisp sets are called α-level sets (Figure 
5.2). All α-level sets are crisp subsets of the support. 

 
Figure 5.2 Support and α-level sets 

 
For several fuzzy quantities 1 nx , , x% %K  on the 

fundamental sets 1 n, ,X XK  the Cartesian product 
can be determined. Thereby the product space 

1 n= × ×X X XK  is formed, whose coordinate axes 
are perpendicular to one another. The Cartesian 
product K%  comprises all combinations of elements 

1 nx , , xK  of the 1 nx , , x% %K . The membership values 



( ) ( )K K 1 nx x , , xμ = μ K  of each n-tuple 
( )1 nx , , xK  is determined with the aid of the mini-
mum operator ( ) ( )K ii 1, , n

x min x
=

μ = μ⎡ ⎤⎣ ⎦K
. The Carte-

sian product K%  thus represents a n-dimensional 
fuzzy set in the product space X  with the member-
ship value ( )K xμ .  

Determining K%  interaction between fuzzy quanti-
ties can be considered.  Interaction is defined as be-
ing the mutual dependency of fuzzy quantities. An 
interactive relationship may be formulated directly 
(explicitly) or indirectly (implicitly). Directly formu-
lated interactions are a priori given by means   of 
functions which define constrains in the product 
space X . These functions can be defined for several 
α-levels differently. Against this, indirect formu-
lated interaction occurs within the mapping of fuzzy 
quantities 1 nx , , x% %K  onto fuzzy quantities 

1 mz , , z% %K . If several ix%  affect different results jz%  
simultaneously, these jz%  are not longer independent 
of each other, i.e., interaction exists between them. 
The mapping model determines the functional rela-
tionship of this interaction.   

To specify the membership function a general al-
gorithm is not available. The obtained membership 
functions represent a subjective assessment reflect-
ing actual facts. It is reasonable selecting simple 
functions to describe the membership function μ(x), 
e.g., linear or polygonal. Therefore, fuzzy triangular 
numbers T 1 2 3x x , x , x=%  are frequently used 
which are determined by specifying the smallest and 
the largest value x1 and x3 (interval bounds of the 
support) as well as the value x2 belonging to μ(x2) = 
1.  Also linguistic variables can be utilized. Thereby, 
the term set T is mapped onto the fundamental set X 
including the physically relevant numerical elements 
x ∈ X . For example, the set T may comprise the 
terms very low, low, medium, high, and very high, 
which could assess the consequence of structural 
failure due to an earthquake. 

If the fluctuation of an uncertain parameter de-
pends on time or spatially coordinates, fuzzy func-
tions may be defined. A fuzzy function of the form 

( )x t%  is the result of the uncertain mapping of the 
fundamental set ⊆ nT �  onto the set ( )F X  of fuzzy 
quantities x%  belonging to the fundamental set X. In 
earthquake analysis the multidimensional fundamen-
tal set T  may generally contain arbitrary coordi-
nates ϕ  beside the time τ and the spatial coordinates 
θ. The values of θ, τ, and ϕ  are combined in the 
vector ( )t , ,= θ τ ϕ . Thereby t represents a vector in 
the parameter space ⊆ nT � .  

A frequently more efficient definition is given by 

the fuzzy bunch parameter representation of the 
fuzzy function ( )x t% .  
 
Thereby ( )s1 ns s , , s=% % %K  is the vector of fuzzy 
bunch parameters. To the components 

s1 ns , , s of s% % %K  α-discretization is applied. The α-
level sets 

s1, n ,, ,S Sα αK  result which are combined 
by means of the cartesian product. In that way they 
form the ns-dimensional crisp subspace Sα  for each 
α. Analyzing elements js Sα∈  one obtains a crisp 
set of real-valued functions which is referred to as 
α-function set  

 
Any arbitrary function ( )jx s , t  contained in 

( )tX α  is a trajectory of the fuzzy function on the 
level α. In the case that all bunch parameters are 
fuzzy numbers, the trajectory for α = 1 is referred to 
as trend function. Based on the α-discretization the 
fuzzy function ( )x t%  is described as a set of α-
function sets ( )tX α  with the assigned membership 
value ( )( )tX αμ  = α. Furthermore, each of these α-
function sets ( )tX α  represents an assessed bunch 
of real-valued functions. 

5.1.3 Fuzzy analysis 
The analysis with certain (or uncertain) algorithms 
and with fuzzy quantities as input and model para-
meters is referred to as fuzzy analysis. Depending on 
the problem focused the fuzzy analysis is also re-
ferred to as fuzzy structural analysis or fuzzy earth-
quake analysis. The results of fuzzy analyses are al-
so fuzzy quantities jz% . They depend on n fuzzy input 
variables ix%  and p fuzzy model variables rm% . 

Therefore, 
1) all elements x out of the space of fuzzy in-

put variables x have to be transformed into  
        the space of fuzzy result variables z and 

2) the membership functions μ(z) have to be  
      determined.  

The transformation x to z according to 1) is realized 
with the aid of the mapping z = f(x). f(.) represents 
the deterministic model M of the fuzzy analysis. 
Fuzzy model variables rm%  are included in the model 

M leading to an uncertain mapping f M=% % . In the 
analysis algorithm they are considered just like the 
fuzzy input variables ix% .  

The determination of membership values μ(zj) of 
the elements zj of the fuzzy result variables jz%  ac-
cording to 2) is feasible with several methods. The 
extension principle in combination with the Carte-
sian product of uncertain sets utilizes the max-min-
operator. The application demands the discretization 
of the fuzzy input variables ix%  in almost indefinitely 
points along the xi-axes. This leads to numerical 
problems frequently. Therefore a method is required, 
which discretizes the axis of the membership values 

( ) ( ) ( ) ( )( ){
( )( ) ( )}

j j

j j j

x t x s , t x s , t , x s , t

s s; x s , t s

= = μ

∈ μ = μ

%%

%



μ - in contrast to the extension principle - and which 
does not presume special requirements of the map-
ping like linearity or monotonicity. The developed 
method, called α -level-optimization, substitutes the 
max-min-operator of the extension principle, see 
Möller et al. 2000.  

Thereby the concept of α-discretization is 
adopted. All fuzzy input variables are discretized us-
ing the same number of α-levels αk. For a certain αk 
the α-level sets 

ki,αA  form the crisp subspace 
k

Xα by 
means of the Cartesian product. With the mapping 

( )1 nz f x , , x= K  elements of the α-level set 
kj,αB  

of jz%  may be computed on αk. The mapping of all 
elements of 

k
Xα  yields the crisp subspace 

k
Zα =  

k k1, m,α α× ×B BK . Once the largest element and the 
smallest element of 

kj,αB  have been found, two 
points of the membership function ( )jzμ  are 
known. Repeating this for a sufficient large number 
of αk the functions ( )jzμ  are completely described 
in the case of convex fuzzy result variables.  

In search of the largest element and the smallest 
element of each 

kj,αB  the α-level-optimization re-
quires the repeated solution of an optimization prob-
lem using general performance functions. A sophis-
ticated optimization algorithm has to be efficiently, 
robustly and reliably. Because standard optimization 
algorithms are limited in application, a combination 
of evolution strategy, gradient method and Monte 
Carlo methods was developed as an agreement. This 
optimization method is referred to as modified evo-
lution strategy.    

When the mapping is stepwise applied, the inter-
active dependencies between intermediate results 
must be considered. Nonobservance of this interak-
tion leads to the defect that, starting from the inter-
mediatre results, nonpermissible parameter combina-
tions are generated and processed forward. Thereby 
additional, artificial uncertainty is introduced into 
mapping in each step (Möller & Beer 2004). 

For mapping M any analysis algorithm can be 
applied. For example in structural mechanics geome-
trically and physically nonlinear fuzzy equations of 
motion: 

( ) ( ) ( ) ( )
( ) ( ) ( )T

T

M v D , v, d v

K , v, d v P

M fuzzy mass matrix D fuzzy damping matrix

K tan gential fuzzy P incremental fuzzy
load vectorstiffness matrix

v incremental fuzzy
displacemant vector

time d discrete damage i

τ ⋅Δ τ + τ ⋅Δ τ

+ τ ⋅Δ τ = Δ τ

Δ

Δ

τ

% % % %&& &

% %%

% %

% %

%

ndicator
represent the basis to compute displacements and 
further fuzzy result variables, e.g., stresses (Möller 

et al. 2004). They can be solved by means of the 
fuzzy finite element method (Möller et al. 2001).  

Evaluations of the fuzzy result variables are car-
ried out e.g. with the aid of defuzzification. Further, 
the fuzzy results including all computed determinis-
tic points ( )1 nz f x , , x= K  are utilized for a new 
structural design method based on clustering (Möller 
& Beer 2004). 

5.2 Example: evaluation of the seismic response of 
a concrete frame 

The concrete frame of Fig.  5.3 is considered that 
corresponds to an existing structure. The measure-
ments obtained for the material properties of this 
structure gave the fuzzy number of Fig.5.4 for the 
steel and the concrete respectively. The beams of 
this system are loaded with a dead load of 30.0 
kN/m and a live load of 15.0 kN/m. The structure is 
located in a seismic zone with the following charac-
teristics: Spectral acceleration: 0.16g, Soil type: B,  
Effective damping: 5%, Importance factor: 1.00, 
Foundation factor: 1.00. 
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Figure 5.3 Seismic design of a concrete frame 

 
In order to perform the elastoplastic analysis the 

following data are used.  
 The amount of the upper (resp. lower) rein-

forcement of the beam cross section is equal to 
8.0cm2 (resp. 4.0cm2).  

 The total amount of the column longitudinal 
reinforcement is equal to 20.24cm2 and it is un-
iformly distributed along the perimeter of the 
column. 



 
The objective is the determination of the structur-

al response, which is expressed by the capacity 
curve and the value of the top-level horizontal dis-
placement. It is expected that the variability in the 
material properties will result to different capacity 
curves. The structural calculations are performed us-
ing elastoplastic analysis and the seismic displace-
ment is calculated according to the recommenda-
tions of FEMA356.  

 
Fig. 5.5 presents the “fuzzy” capacity curve ob-

tained by applying the α -level-optimization algo-
rithm. The vertical axis gives the ratio between the 
horizontal (H) and the vertical (V) loads applied on 
the structure. The various expected points of  maxi-
mum seismic displacement are denoted with a box 
on these diagrams.  
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Figure 5.4 Fuzzy numbers for the steel yield stress and for the 
concrete compressive strength. 
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Figure 5.5 The obtained “fuzzy” capacity curve 

 
The diagram of Fig. 5.6 is the fuzzy number of 

the top horizontal displacement. It is noticed that al-
though the input parameters were triangular fuzzy 
numbers, the output parameters are not. This hap-
pens due to the strong nonlinearities involved in the 
static analysis. However, it is interesting to notice 
that although the ratio between the upper and lower 
values of the steel yield stress (resp. the concrete 
compressive strength) is equal to 1.29 (resp. 1.46), 
the ratio between the upper and lower value of the 
displacement is equal to 1.15, i.e. the variation of the 
output parameter is lower than that of the input pa-
rameters. 
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Figure 5.6 The obtained fuzzy number for the top-
horizontal displacement  



6 PERFORMANCE BASED EARTHQUAKE 
ENGINEERING AS A TOOL FOR THE 
STUDY AND EVALUATION OF THE 
STRUCTURAL RESPONSE 

6.1 Introduction 
Exceptional seismic events are not only the result of 
uncertainty of the seismic motion, as was already 
clearly stated in the introduction. The nonlinear dy-
namic response of the structure also constitutes a 
crucial aspect that may result in exceptional conse-
quences. This naturally reflects the complexity of 
the problem and the lag that still exists between 
standard engineering practice and the sophisticated 
and time-consuming approaches that would be re-
quired to narrow down the uncertainty associated 
with the currently accepted reliability targets. 
Additionally, the built environment spans a few cen-
turies and consequently exhibits a large scatter in 
terms of its compliance with current safety levels 
with respect to seismic actions that adds a third 
source of exceptionality.  
Performance-based design is nowadays becoming 
the standard design methodology for the design of 
structures. This is a direct consequence of great 
theoretical and numerical advances in structural 
analysis, coupled with a higher “statistically” confi-
dence in the characterization of design actions. 

Following the discussion of nonlinear analysis 
methods in section 3 and the specific response of 
short-period structures of section 4, sub-section 6.2 
highlights the relevant role of the connections in the 
seismic response of structures. An application of the 
influence of an exceptional seismic event is also il-
lustrated. Section 6.3 and 6.4 present a capacity de-
sign methodology and a direct displacement-based 
design approach for the design and evaluation of the 
seismic resistance of reinforced concrete structures.  

6.2 Influence of connection behaviour on the 
seismic response of structures 
The behaviour of steel or composite joints under 
seismic loading provides a good exemplification of 
the issues discussed in the previous sub-section. 
Usually, seismic events provoke relatively high am-
plitudes of rotation in the joint area, so that steel re-
peatedly reaches the plastic range and the joint fails 
after a relatively small number of cycles.  
For static monotonic situations it is nowadays possi-
ble to accurately predict the moment-rotation re-
sponse of a fairly wide range of joint configurations 
by applying the principles of the component method 
(Eurocode 3, 2005; Jaspart, 2000). However, this is 
still not the case for the cyclic situation. In this case, 

the usual approach is to develop multi-parameter 
mathematical expressions that are able to reproduce 
the range of hysteretic behaviours for a given group 
of steel joint typologies. Subsequently, the values of 
the parameters are calibrated to satisfactorily corre-
late to a range of section sizes for a given group of 
joint typologies. 
Mazzolani (1988) developed a comprehensive model 
based on the Ramberg-Osgood expressions that was 
able to simulate the pinching effect, later modified 
by Simões et al. (2001) to allow for pinching to start 
in the unloading zone. The Richard-Abbott expres-
sion was first applied to the cyclic behaviour of 
joints by De Martino et al. (1984). Unfortunately, 
that implementation was not able to simulate the 
pinching effect (Simões et al., 2001). Subsequently, 
Della Corte et al. (2000) proposed a new model, also 
based on the Richard-Abbott expressions, that was 
capable of overcoming this limitation and simulate 
the pinching effect, as well as strength and stiffness 
deterioration and the hardening effects. 
Since the mid 1980’s, several research projects on 
the cyclic behaviour of steel joints were undertaken 
in various research centres, comprising a total num-
ber of 39 research projects and 216 individual expe-
rimental tests. In general, the objective of these cyc-
lic tests was the study of the seismic performance of 
the joints, following the observation of failures re-
sulting from the Kobe and Northridge seismic 
events. 

6.2.1 The influence of pinching 
The influence of pinching is crucial in the estab-
lishment of the model parameters. For the end-plate 
joints, this is clearly noticeable and it is necessary to 
establish whether pinching is likely to occur. Its in-
fluence is illustrated using three steel structures, two 
plane frames and a three dimensional structure. The 
first structure is a low rise office building with four 
spans and two floors, the second structure has two 
spans and five floors, and finally the third is a 3D 
structure, with four by five spans and eight floors, 
using both non-linear static and dynamic analyses. 
The mathematical model consists of beam elements, 
for the beams and columns, and of joint elements, to 
model the non-linear behaviour of the connections. 
The numerical studies were performed with the 
SeismoStruct program (Seismosoft 2004), which has 
a specific joint element to model the connections. 
For this element several parameters have to be de-
fined to characterize all non-linear hysteretic behav-
iour (Nogueiro et al. 2005). 
For the 3D structure the floor diaphragms are as-
sumed to be rigid in the horizontal plane. For this 
structure the study was performed only for the 
strong axis direction. For all structures a 2% damp-
ing coefficient was considered. The first 2-D struc-



ture, herein called E-2x4-2D is a low rise office 
building, with four spans and two floors, as can be 
seen in the Figure 6.1. 
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Figure 6.1. Geometry of the structure E-2x4-2D. 
The connections considered to this structure present 
the hysteretic behaviour of Figures 6.2 and 6.3, re-
spectively for external E9 and internal E11 connec-
tions. 

 
    Figure 6.2. Hysteretic curve for external E9 connection. 

 
 

 
Figure 6.3. Hysteretic curve for internal E11 connection 

 
The second structure studied, E-5x2-2D, (Della 
Corte et al. 2000), is also a 2D structure, with two 
spans and five floors, as can be seen in Figure 6.4. 
The behaviour of the connections was idealised, ac-
cording to the JB1-3A connection (Bursi et al. 2002) 
and the corresponding parameters are presented in 
(Nogueiro et al. 2005).  
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Figure 6.4. Geometry of the structure E-5x2-2D 

 
The third structure, E-4x5x8-3D, is three dimen-
sional with four by five spans and eight floors, as 
represented in Figures 6.5 and 6.6. It corresponds to 
a real structure existing in Cardington, England, 
modified to match Eurocode 8 requirements for Por-
tugal (Nogueiro et al, 2005).   

 

    
  Figure 6.5. Three- dimensional view of E-4x5x8-3D. 
 

The structures were designed according to Euro-
code 8 for a soil type B (medium soil) response 
spectrum, for a given design q factor (reduction fac-
tor) and assuming a given ductility class. Linear dy-
namic analyses of the structures were carried out, 
and the design action effects were calculated adding 
the gravity and the seismic effects divided by the as-
sumed q factor.  
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Figure 6.6. Plan of one inter storey.  

 
In the design procedure dead and live loads were 

considered and the seismic action was represented 
by the acceleration response spectrum (Nogueiro et 
al, 2006). For the non-linear dynamic analyses the 
designed structures have to be subjected to, at least, 
three accelerograms (#1, #2 and #3), compatible 
with soil type B response spectrum (Eurocode 8 
2003). A large number of accelerograms compatible 
with the target response spectrum were generated. 
The three having the best fit to the target response 
spectrum were chosen. These accelerograms are dif-
ferent from real earthquake records, given that their 
target response spectrum is a smooth one. Anyway, 
they are in accordance with the seismic action that 
was assumed for design purposes and which is the 
one considered as most likely to occur, mainly in the 
range of periods between 0.2 T1 and T1 as it is speci-
fied in the Eurocode 8 (T1 represents the fundamen-
tal period). Figure 6.7 presents the three response 
spectra corresponding to the three chosen accelero-
grams together with the target (Eurocode 8) re-
sponse spectrum. Figure 6.8 illustrates one of the ac-
celerograms chosen.  

 

 
Figure 6.7. Elastic response spectra, ξ = 2 %. 

 
For the non-linear dynamic analyses, three com-

binations of loads were considered, one for each ac-
celerogram. The 3D structure was subjected only to 

seismic action acting in X-direction, as can be seen 
in Figure 6.6. 

 

 
Figure 6.8. Artificial accelerogram. 
 

The seismic assessment of three steel structures is 
performed by means of non-linear static analyses 
(the N2 method (Fajfar, 2000) was adopted) and the 
results obtained are compared with the ones ob-
tained with non-linear dynamic analysis. The Seis-
moStruct program (Seismosoft, 2004) was used for 
all the numerical studies. Some conclusions could be 
reached regarding the non-linear static analysis, the 
structures and the results obtained: 

- It is observed a good agreement between the 
nonlinear static and dynamic analyses, in particular 
in terms of the horizontal displacements and inter-
storey drifts results; 

- The first structure studied (E-2x4-2D) needs to 
be redesigned or retrofitted; as the seismic demands 
values are above the correspondent capacity values, 
however, it is noted that the reference seismic event 
exhibit an extreme value of peak ground accelera-
tion (0.45g), 50% in excess of the usual reference 
earthquake for Portugal. 

- The other two structures, E-5x2-2D and E-
4x5x8-3D, exhibit overstrength, considering the 
horizontal displacements values and the maximum 
rotation values at the connections; 

- The model to simulate the hysteretic connection 
behaviour for the non-linear dynamic analysis pre-
sents good results; 

- The N2 method seems to be a conservative de-
sign procedure, when compared with the dynamic 
analysis. 

Table 6.1 presents the maximum rotation in the 
connections analysed, for the several methods. For 
structure E-2x4-2D, where the horizontal top dis-
placements are almost the same, the rotations are 
larger in the dynamic analysis. The monotonic 
method does not include the effect of pinching, and 
damage of strength and stiffness. In the second 
structure, where the horizontal top displacements, in 
the N2 method are larger than in the dynamic analy-
sis, the rotation in the J231E/J4 connection is almost 
the same, and finally, in the third structure, where 
the horizontal top displacement in monotonic me-
thod is significantly larger than in dynamic analysis, 



it is showed that in J53EF/J-X610 connection the ro-
tation is smaller for the dynamic analysis, as ex-
pected. It can be concluded that, for study of the be-
haviour of the connections, the monotonic methods 
have some limitations, because they give insufficient 
hysteretic information. 
 
Table 6.1. Maximum rotation in the analysed connections. 

Connections rot. (mrad) 
dynamic 

rot. (mrad)  
N2 (uniform) 

rot. (mrad) 
N2 (modal)

E 9,15 48.0 27.6 30.2 
E11,7 46.3 30.4 33.3 

J231E/J4 15.7 13.9 15.8 
J53EF/J-X610 8.8 16.9 20.3 

6.2.2 Comparative effect of extreme event 
For a steel structure with 8 stories, the influence of 
the connections simulated with semi-rigid behaviour 
and partial strength are compared with rigid beha-
viour and fully strength, for an extreme seismic 
event, for the Portuguese territory, using a pushover 
analysis. The structure chosen can be observed in 
Figure 6.9. The columns and beams are, respectively 
HEA320 and IPE260 sections. Two analyses were 
performed, one considering the connections semi-
rigid with the real behaviour and other one consider-
ing the connections totally rigid with full strength. 
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Figure 6.9. Geometric definition of the structure 

 

 
Figure 6.10. Typical connection. 

 

The results were obtained using the N2 method (Faj-
far 2000) and are presented in terms of horizontal 
displacements, inter-storey drifts and rotations at the 
connections. The spectrum is graphically 
represented in ADRS format (Acceleration Dis-
placement Response Spectrum), Figure 6.11, where 
the acceleration spectral values are defined as a 
function of the spectral displacement values. It 
represents an extreme event for Portugal, which 
means two times of the maximum spectral values for 
seismic type 2.  
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Figure 6.11. Response Spectrum in ADRS format, ξ = 2%. 
 

After defining of the action, it is needed to calculate 
the eigenvalues to assess the dynamic properties of 
the structure. These properties are important to 
transform the real structure in an equivalent simple 
degree of freedom system (SDOF), because the ac-
tion it was defined by mean of response spectrum for 
a SDOF system, as it was presented. The capacity 
curve of the real structure, found it by means of that 
lateral load pattern (that can be uniform, triangular 
or a modal distribution) must be transformed of 
equivalent SDOF system. In Figures 6.12 and 6.13 
the capacity curve for the equivalent SDOF can be 
observed, respectively for the structure with semi-
rigid connections and rigid connections, and the re-
spective bi-linearization. 

0

100

200

300

400

500

600

700

800

900

1000

0,00 0,20 0,40 0,60 0,80 1,00
Top Disp.* [m]

V* [KN]

 
Figure 6.12. Structural Capacity Curve with semi-rigid connec-
tions. 
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Figure 6.13. Structural Capacity Curve with rigid connections. 
 
The bi-linearization curve must be put into the re-
sponse spectrum (seismic action) and determine the 
target displacement, which represents the maximum 
top displacement for the actions considered.  This 
procedure can be seen in Figures 6.14 and 6.15, re-
spectively for the structure with semi-rigid and rigid 
connections. In the case of the first structure the be-
haviour it is clearly non linear, while in the second 
the structural behaviour remains elastic. 
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Figure 6.14. Target displacement for the structure with semi-
rigid connections. 
 

0

2

4

6

8

10

12

14

16

18

0,00 0,10 0,20 0,30 0,40 0,50 0,60 0,70
Sd [m]

Sa [m/s2]

Espectro EC8 0,50 g
Bilinear

 
Figure 6.15. Target displacement for the structure with rigid 
connections. 
 
If the real structures were reloaded until the target 
displacements, the maximum horizontal displace-

ments (Figure 6.16) and the inter-storey drifts (Fig-
ure 6.17) illustrate the differences between both si-
mulation, and the influence of the semi-rigid con-
nection behaviour. 
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Figure 6.16. Maximum horizontal displacements. 
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Figure 6.17.  Inter storey drifts. 
 
Despite the magnitude of the seismic event, the max-
imum horizontal displacement reached for the struc-
ture with semi-rigid connection was 55 cm, lower 
than 2,5% of the total height of the building and the 
rotation of the connection more stressed was approx-
imately 22 mrad, which represent values lower than 
the ultimate strength values (Figure 6.18). 

0

100

200

300

400

0 5 10 15 20 25
Rotation  (mrad)

B
en

di
ng

 M
om

en
t (

kN
m

)

 



Figure 6.18. Bending-moment rotation for the most stressed 
connection. 

6.3 Capacity design methodology for design and 
evaluation of seismic resistance of  RC building 
structures 

The Institute of Earthquake Engineering and Engi-
neering Seismology, IZIIS in Skopje has developed 
a methodology and a corresponding package of 
computer programmes, RESIST-INELA for design 
of new and evaluation of seismic resistance of exist-
ing R/C building structures.  The methodology is 
iterative until defining optimal structural system. 
The methodology incorporates the latest knowledge 
gathered in our country and the worldwide expe-
rience from the field of earthquake engineering: de-
termination of strength and deformability characte-
ristics of buildings, on one hand, and definition of 
the nonlinear behaviour of the structure for a given 
earthquake, on the other hand. This methodology has 
been used for design of a great number  (more than 
150)  R/C building structures constructed in the ter-
ritory of the city of Skopje.  

6.3.1 Philosophy of capacity design 
Procedures for the application of capacity design to 
ductile structures, which may be subjected to large 
earthquakes, have been developed primarily in New 
Zealand over the last 20 years.  

The main idea of this method is to predetermine 
places at which the occurrence of nonlinear defor-
mations shall be dictated. These critical parts, the so 
called plastic hinges, are designed and processed 
separately to enable those places dissipate the total 
energy. It is desirable that all the inelastic deforma-
tions be due to bending, which with the provided 
previous and necessary conditions, corresponds to 
ductile behaviour of the structure. 

Also, sufficient bearing capacity is provided for 
the remaining parts of the structure in order that they 
remain in the elastic range of behaviour during the 
whole earthquake action so that there is no need for 
their ductility.  

6.3.2 Method for design and seismic evaluation of 
RC buildings developed at IZIIS, Skopje 

The definition of a method for design and evaluation 
of the seismic resistance of R/C building structures 
is a wide and complex problem. One hand, it is ne-
cessary to carry out the most possible realistic defi-
nition of the structural system capacity, in terms of 
strength and deformability capacity of the system, 
and on the other hand, after having selected the ex-
pected earthquake effect on a given site, in terms of 
intensity, frequency content and time duration, to 
predict as realistically as possible the nonlinear be-
haviour of the structure, and on the basis of these re-
sults to define the earthquake, i.e., the seismic force 

or the acceleration that would cause damage to 
structural elements and the integral structural sys-
tem.   

For this purpose, it is necessary to develop a clear 
and concise procedure that will enable a fast and 
simple way for coming to the desired results.  As a 
result of the analytical studies, carried out at IZIIS, 
Skopje, a method and a corresponding package of 
computer programs RESIST-INELA, (Necevska-
Cvetanovska, 1999) have been developed for a fast 
and simple evaluation of the seismic resistance of 
the newly designed and existing reinforced concrete 
buildings of small and moderate number of stories. 
The developed method is "capacity based" and in-
corporates the latest knowledge gathered in our 
country and the world experience from the broad 
fields of the earthquake engineering.  

The method for evaluation of the seismic resis-
tance of RC buildings, developed at IZIIS, consists 
in the following five steps: 
1 Definition of the structural system of the building 

and determination of the quantity and quality of 
the built-in material.  

2 Determination of the Q-Δ diagram for each ele-
ment, separately, and the storey Q-Δ diagrams 
(RESIST-computer program). 

3 Definition of the seismic parameters and the de-
sign criteria. 

4 Nonlinear dynamic analysis of the structural sys-
tem for a given earthquake effect (INELA- com-
puter program). 

5 Evaluation of the seismic resistance for the given 
structure. 

6.3.2.1 First step 
The initial step for evaluation of the seismic resis-
tance of a building is the definition of the structural 
system of the building as well as the quantity and the 
quality of the built-in material.  The main informa-
tion on the building, such as the structural type, 
number of stories, kind, quantity and quality of 
built-in material can be obtained from the design 
documentation for the considered building.  For 
older buildings, it is possible that no design docu-
mentation is available.  In such a case, the building 
is inspected for an in situ determination of the quan-
tity and the quality of the built-in material. Elastic 
analysis of the structure is carried out under defined 
vertical loads and seismic forces. 

Using a special data file, the quantity and the 
quality of the used steel reinforcement for each 
structural element cross sections (columns, walls 
and beams) are entered.    

6.3.2.2 Second step 
The strength and deformability characteristics of 
each structural element of the building are defined 
applying the RESIST computer program, by which, 
starting with the elastic analysis of the structure and 



the known quantity and quality of the built-in rein-
forcement and the achieved compressive strength of 
the concrete in all the cross sections of the elements 
(columns, beams and walls), for each storey ele-
ment, separately, it is possible to obtain the yield 
displacement Δy, the shear force at yielding Qy, the 
maximum displacement Δu, the shear force at maxi-
mum displacement Qu. At the same time, the shear 
strength of each element of the building is deter-
mined taking into consideration that no shear failure 
of the element occurs. Summarizing Q-Δ diagrams 
for each element at given level, storey Q-Δ diagrams 
are obtained which represent the basis for further-
nonlinear dynamic analysis of the building. 

6.3.2.3 Third step 
On the basis of the actual and the local site proper-
ties, applying probability methods, evaluation of the 
seismic hazard parameters is carried out according 
to which expected maximum ground accelerations 
for 50, 100, 200 and 500 year return periods are 
possible to be defined. 

6.3.2.4 Fourth step 
Nonlinear dynamic analysis of the structure mod-
elled by lumped masses at floor levels for a given 
earthquake effect is performed. The application of 
different hysteretic models depending on the struc-
tural type and obtaining responses for a large num-
ber of ground acceleration time histories, with dif-
ferent frequency content and duration is possible for 
relatively short time and with the satisfactory accu-
racy. 

6.3.2.5 Fifth step 
The results obtained in the fourth step (relative sto-
rey drifts) are entered in the storey Q-Δ diagrams,  
i.e., in the Q-Δ diagrams for each structural element, 
from where is obvious which earthquake record and 
intensity can cause the occurrence of initial cracks, 
yielding and even failure of the structural elements 
of the building.  The evaluation of the seismic resis-
tance of the considered building can be defined by 
comparison of the nonlinear response "require-
ments" of the building to the given earthquake effect 
with the ultimate "capacity" of the building. The best 
indicator for these "requirements" and "capacity" is 
displacement. 

6.3.2.6 Application of methodology on existing 
building  B-2,Unit 4,"Vardar" settlement, Skopje 
The 8 storey building is situated in Vardar settle-
ment, (Simeonov et al. 1993) with previously de-
fined seismic parameters as follows: maximum 
ground accelerations of  0.28g and 0.40g for the de-
sign and the maximum level. The structural system 
of the building consists of bearing RC frames in both 
directions (Fig. 6.19).  

 
 
Figure 6.19 Characteristic plan of building structure. 
 
Presented for the structure are the results from the 
design according to national regulations, (SP-81), 
EC8, (Eurocode 8, 1994) and the analysis performed 
by RESIST-INELA methodology, (Necevska-
Cvetanovska & Gjorgjievska, 1998), (Fig. 6.20). 
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Figure 6.20 Seismic forces obtained according to SP-81, EC8 
and IZIIS methodology. 
 
Based on the adopted reinforcement, the bearing 
capacity and dynamic response of the structure 



proportioned by these three different forces was defined, 
(Necevska-Cvetanovska & Petrusevska, 1996, 2000).  

Tables 6.2 and 6.3 as well as Figure 6.21 show  
required displacement and ductility for the building 
designed according to SP-81, EC8 and IZIIS metho-
dology for the Ulcinj (Albatros) earthquake of 0.4 g. 
 
Table 6.2. Required displacements [cm], x-x  direction. 

Storey SP-81 EC8 IZIIS
8 0.76 1.08 1.32
7 1.10 1.11 1.34
6 1.51 1.37 1.48
5 1.77 1.52 1.59
4 1.83 1.53 1.55
3 2.05 1.54 1.47
2 1.76 1.44 1.31
1 1.31 1.10 1.06

 
Table 6.3. Required displacements [cm], y-y  direction. 

Storey SP-81 EC8 IZIIS
8 0.51 1.01 1.57
7 0.78 1.04 1.44
6 1.16 1.29 1.56
5 1.52 1.49 1.70
4 1.73 1.55 1.74
3 1.77 1.52 1.63
2 1.47 1.26 1.35
1 1.33 1.09 1.30 
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Figure 6.21 Required ductility, x-x direction. 

6.4 Direct displacement-based design approach for 
design of RC frame building structures 

Modern trends in earthquake engineering show that 
there is a common consensus that the new design 
methodologies should be performance-based. Most 
of the currently used performance-based procedures 
are essentially force-based, with the addition of a 
displacement check to ensure that acceptable per-
formance levels are achieved in the design earth-
quake. Displacement-based design procedure 
enables structures to be designed in way to respond 
in the design-level earthquake to specified displace-
ment limits, corresponding to acceptable damage 
limit states. A direct displacement-based procedure 
for seismic design of RC building structures is pre-
sented. This design procedure uses the Substitute 

Structure Approach. Based on the defined target dis-
placement, the base shear demand is calculated and a 
structural design to resists this demand is performed. 
The next step is application of the capacity design 
approach and checking of the structural behaviour 
by nonlinear static analysis. The design is corrected, 
if necessary. 

6.4.1 Direct displacement-based design 
The brief overview of the history of seismic design 
shows that the main design criteria in all the seismic 
regulations are those referring to strength, i.e., force. 
The huge economic losses from the recent earth-
quakes show that the current design methodologies 
fall short of realizing the goals and the objectives of 
the earthquake resistant design philosophy. Modern 
earthquake engineering increasingly points to the 
adequacy of displacement as a design parameter.  

An alternative design procedure known as dis-
placement-based design has been developed that at-
tempts to recognize deficiencies in the current force-
based approaches. Displacement-based seismic de-
sign is defined broadly as any seismic design me-
thod in which displacement-related quantities are 
used directly to judge performance acceptability. In 
the recent years, numerous displacement-based me-
thods have been proposed. Some of them can be 
considered as true displacement-based methods, of-
ten named “direct displacement-based”, while the 
other are still “force-based/displacement-check” me-
thods, although named displacement-based. The 
most developed and the most important method in 
the field of direct displacement-based design of RC 
building structures is the Priestley’s method, (Priest-
ley, 2000, 2002).  
Priestley’s direct displacement-based design, 
(DDBD) characterizes the structure by secant stiff-
ness Ke at maximum displacement ∆d, (Fig. 6.22) 
and a level of equivalent viscous damping appropri-
ate to the hysteretic energy absorbed during inelastic 
response. The approach used to characterize the 
structure is based on the “substitute structure” analy-
sis procedure , (Shibata & Sozen, 1976). 

With the design displacement ∆d determined and 
the damping estimated from the expected ductility 
demand, the effective period Te at maximum dis-
placement response can be read from a set of design 
displacement spectra, as shown in Fig. 6.22(d). 
Representing the structure (Fig. 6.22(a)) as an 
equivalent SDOF oscillator, the effective stiffness 
Ke at maximum response displacement can be found 
by inverting the equation for the natural period of 
the SDOF oscillator, namely: 

e

e
e K

M
T ∗= π2  (6.1) 

to provide 
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where me is the effective mass. 
 

From Figure 6.22(b), the design shear force at 
maximum response is: 

 

deb KV Δ=  (1.3) 

  

 
 

Figure 6.22 Fundamentals of Direct Displacement – Based De-
sign, (Priestley, 2000, 2002). 

6.4.2 Application of DDBD approach – Design ex-
ample 

In order to determine the effort needed for direct 
displacement-based design of a RC frame building, 
an example structure is designed using the Priest-
ley’s method (Priestley, 2000, 2002) with minor 
changes that do not affect the essence of the original. 
Later, an example structure is analyzed using a non-
linear static procedure, (Terzic, 2006). 
 

The example structure is a 7 storey RC frame 
building. In order to simplify the calculations, it is 
assumed to be symmetric in both directions, where-
fore the design and the analyzes are performed for 
one direction only.  The building is square 25x25 m 
in plan with 5 m beam spans. Each storey has the 
same height of 3 m. The columns are assumed to be 
60x60 cm for the first three stories, and 50x50 cm 
for the upper stories. All beams are assumed to be 30 
cm wide and 50 cm deep, and in the calculations, 
they are treated as T or L beams, considering that a 
20 cm deep slab is acting as a  beam flange. For the 
purpose of the design, it is adopted that the compres-
sive strength of concrete is fc=35 MPa, and  the 
reinforcement yield stress is fy=400 MPa. The 
layout of the structure is given on Figure 6.23. 

 

 
 

 Figure 6.23 Cross-section of the example structure. 
The flowchart of the method is given in Figure 6.24. 
 

 
 

Figure 6.24 Flowchart of the applied method, (Priestley, 2000, 
2002). 
 
The design process consists of two parts: the first 
part in which the base shear force for each perfor-
mance limit state is derived, (Table 6.4) and the 
second part in which that force is distributed over 
the structure and the required reinforcement is calcu-
lated, (Necevska-Cvetanovska&Petrusevska, 2000).  
 
 



Table 6.4 Design results 
Earthquake θy θd ∆d ∆y μ ξ 

 (%) (%) (m) (m)   
20%/50 years 0.01 0.01 0.139 0.15 0.92 3.81 
10%/50 years 0.01 0.02 0.278 0.15 1.85 12.94 
2%/50 years 0.01 0.04 0.555 0.15 3.70 19.40 

 
Table 6.4 Design results - continued 

Earthquake me Te Ke VB 
 (kg) (s) (kN/m) (kN) 
20%/50 years 3704984 2.65 20828.32 2890.59 
10%/50 years 3704984 6.01 4049.46 1123.98 
2%/50 years 3704984 6.50 3461.94 1921.81 

 
 
 
In order to compare the  capacity of the structure 
with the  design demand, Static Nonlinear Analysis 
according to FEMA 356, (ASCE, 2000) was per-
formed using the SAP 2000 software, (Wilson & 
Habibullah, 1998). Each beam was modeled with a 
plastic hinge at both ends. The columns were consi-
dered to behave linearly except at the base where 
plastic hinges were expected to occur. Same distri-
bution of base shear was used as for the design. 
Gravity load consisting of dead and 50% of live load 
was applied on the structure prior to the  pushover 
and the P-Δ effect was considered.  

Different structural performance levels of plastic 
hinges are defined by FEMA 356 recommendations, 
but in order to achieve realistic performance of the 
structure, plastic hinges are modeled according to 
load-deformation relations obtained by analysis of 
each cross section using cross section analysis soft-
ware XTRACT, (Imbsen Software Systems) rather 
than according to prescribed and extremely conserv-
ative relations given in FEMA document. Plastic 
hinge is considered to achieve Immediate Occupan-
cy performance level when reinforcement yielding 
starts or concrete strains reach 0.003. Life Safety is 
associated with beginning of spalling of reinforce-
ment cover and Collapse Prevention with significant 
strength degradation.  

The results of the pushover analysis are presented 
in Tables 6.5 and 6.6 and Figure 6.25. 

 
Table 6.5 Analysis results for target drifts (DDBD) 

Earthquake Drift  Percentages of members 
achieving state 

 (%) IO LS CP 
20%/50 years 0.42 39 0 0 
10%/50 years 0.61 66 0 0 
2%/50 years 1.43 100 0 0 

 
Table 6.6 Analysis results for target drifts (EC8) 

Earthquake Drift  Percentages of members 
achieving state 

 (%) IO LS CP 
20%/50 years 0.39 2 0 0 

10%/50 years 0.66 61 0 0 
2%/50 years 1.25 100 0 0 
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Figure 6.25 Pushover curves for building designed according 
to DDBD and EC8. 

6.4.3 Remarks 
− Seismic resistant design has radically been mod-

ified in recent years, by changing its philosophy 
from “strength” to “performance”. Most of the  
currently used performance – based procedures are 
essentially force-based, with addition of displace-
ment  check to ensure that acceptable performance 
levels are achieved in the design earthquake. 

−  Displacement-based design, as an alternative ap-
proach is based on design to achieve a specified 
strain or drift performance level under a specified 
seismic intensity. The approach should result in 
uniform levels of seismic risk and in more consis-
tent designs than force-based design criteria.  

−  The initial design parameter of displacement-based 
design is target displacement. Strength and stiffness 
are a result of the design procedure and are depen-
dent on the target displacement chosen. Neverthe-
less predicting target drift or yield displacement is 
not that simple, as it might seem at first.  

−  Direct displacement-based design, in every 
sense, coincides with actual structural behavior. It 
is, therefore, realistic to expect that this approach 
will soon find its place in most advanced building 
codes and that this philosophy of structural de-
sign will, in not so far future, replace currently 
established design procedure.  

− In order to determine the effort needed for direct 
displacement-based design of a RC frame build-
ing, an example structure is designed using this 
method and latter analyzed using a nonlinear stat-
ic procedure. It is concluded that, from the aspect 
of drift, the structure behaves satisfactorily, 
meaning that the target drifts for different hazard 
levels are smaller than the  demand drifts.  

7 CONCLUSIONS 

The paper presented various ways in which the 
seismic action may be exceptional for structures. Pa-



rameters related to the ground motion were ex-
amined as well as parameters more closely related to 
the structure itself. Also, a mathematical framework 
based on fuzzy analysis was introduced allowing the 
consideration of the various uncertainties and their 
effects to the structural response. Finally, applica-
tions of the performance based engineering (PBE) 
were presented. In these applications PBE was used 
as a tool for the study of the influence of various pa-
rameters to the structural response and also for the 
evaluation and design of structures. It should be no-
ticed that PBE can be used as a tool to adapt the 
"supply" of the structure (considering in this respect 
any particularities that it might have) to the specific 
"demand" of the motion, according to the impor-
tance of the building and the desired safety level. 
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